or water (resembling the soil fabric produced by hydraulic filling) have been dilative, which brings into question the failure mechanism of the Lower San Fernando dam. In this paper, the behaviour of the dam during the 1971 earthquake is studied using the results of an improved sliding-block deformation analysis, which incorporates the shearing behaviour from ring shear tests of two sands with different mineralogies: quartz sand, and albite sand with some carbonates. The results indicate that sand particle composition and compressibility may have caused the failure and large displacement of the Lower San Fernando dam, even in a dense state (relative density ,60%). shear displacement variant shear resistance
Introduction
Earthquake-induced deformations of slopes on shear surfaces in saturated granular soils have caused large displacements in artificial hydraulic fills (Jefferies and Been, 2006) and in natural alluvial and fluvial deposits (Andersen and Bjerrum, 1968; Bjerrum, 1971; Emdal et al., 1996; McKenna et al., 1992) . However, in laboratory shear tests, granular soils at similar densities and effective stress levels have strain-hardened (dilated) during shearing (Ishihara, 1993; Yamamuro and Covert, 2001) , and have not been as contractive as the field soil deposits involved in failures. One of the primary differences between these laboratory experiments and field failures is that the laboratory tests have been commonly performed on standard quartz sands, whereas field failures often involve sands with mixed compositions that include more compressible minerals, such as feldspar and carbonates (Hazen, 1918; Jefferies and Been, 2006; Yoshimine et al., 1999) . This indicates the importance of studying sands with similar composition to that of field deposits, and of determining the true mechanisms involved in the failure and displacement of embankment dams.
Various analytical methods are available for predicting earthquake-induced permanent displacements, ranging from slidingblock analysis to multidimensional non-linear dynamic response analyses; they present the mechanics of seismic slope stability with different levels of complexity, and require different levels of information on material behaviour (Kramer and Smith, 1997 ). Newmark's sliding-block analysis (Newmark, 1965) was one of the earliest, commonly used approaches in calculating earthquakeinduced permanent displacements. Newmark (1965) suggested that the seismic stability of slopes, embankments and dams be assessed in terms of earthquake-induced displacements rather than the pseudo-static factor of safety, as this criterion ultimately governs the serviceability of a slope after an earthquake. Newmark developed a simple procedure to estimate the permanent displacements due to earthquake shaking. Newmark (1965) assumed that permanent displacements occur when the inertial forces induced by an earthquake exceed the mobilised shear strength along the failure surface, and therefore the transient motions of an earthquake could lead to deformation of a slope prior to complete failure. This approach has gained considerable popularity, and has been used successfully in several studies (Bray et al., 1995; Goodman and Seed, 1966; Jibson, 1993; Kramer, 1996; Kramer and Smith, 1997; Makdisi and Seed, 1978; Marcuson et al., 1992; Seed and Martin, 1966; Wilson and Keefer, 1985) . This is mainly because Newmark's sliding-block method offers practising engineers the advantage of performing a simple, quick and yet quantitative preliminary assessment of earthquake-induced displacements. The sliding-block method is used here rather than more advanced numerical procedures in order to provide a simple illustration of the influence of sand particle softness and particle crushing on the response of an actual geotechnical structure (the Lower San Fernando dam). The practising engineer would then decide whether a more refined stability analysis should be undertaken, based on comprehensive field and laboratory investigations and numerical modelling using more complex computational methods. In this paper, the earthquake-induced permanent displacement of the Lower San Fernando dam following the 1971 San Fernando earthquake is calculated using a modified sliding-block analysis. A degrading yield acceleration, a y , obtained from ring shear laboratory tests on two sands composed of different particle mineralogies, is used in the analysis.
Lower San Fernando dam and the 1971 San Fernando earthquake
The Lower San Fernando dam was a 43 m high dam with a reservoir capacity of about 25 000 000 m 3 : The dam was built using the hydraulic filling method in which dykes were constructed at both the upstream and downstream footprints of the dam, and the large central area between these dykes was filled by hydraulically transporting material from the floor of the reservoir. According to Seed et al. (1975b) , good moisture control and better compaction practice were conducted during the construction of the dam: therefore it is anticipated that the dam was well built and well compacted, and it is unlikely that the soil structure of the dam was in a loose state. On 9 February 1971 a massive slide occurred in the upstream slope of the dam as a result of the San Fernando earthquake (M % 6 . 6), leaving several longitudinal cracks, a very steep slide-head scarp and a marginal freeboard of about 1 . 5 m (Seed et al., 1975b) . Seed et al. (1973) conducted an extensive field and laboratory investigation to evaluate the causes of the slide, and the characteristics of the soils constituting the embankment and foundation have been studied by Lee et al. (1975) . Pre-and post-failure crosssections of the dam are shown in Figure 1(a) . A post-failure aerial photograph of the dam is shown in Figure 1(b) , illustrating the failure mechanism of the upstream dam face sliding into the reservoir, with extensive fracturing of the downstream face. Lee et al. (1975) and Seed et al. (1975b) concluded that the primary cause of the upstream slide in the dam was liquefaction, and the development of very high pore water pressures towards the end of the earthquake shaking in an extensive zone of hydraulic fill near the base of the embankment and upstream of the clay core, so that much of this soil was in a liquefied or very low-strength condition, whereas no liquefaction or strainsoftening occurred in the alluvium soil beneath the dam (Seed et al., 1975a) .
Sliding-block displacement analysis
3.1 Sliding-block model Figure 2 shows a soil element in the sliding-block model developed in this paper. In this figure, a(t ) is the earthquake acceleration time history, AE is the slope of the sliding surface, b is the width of the soil element, H is the height of the soil element, kW is the inertia force on the soil element, N is the base normal force, R is the base resistant force, s is the sliding displacement and W is the weight of the soil element. Similar to the sliding surface in the dam, it is assumed that the sliding surface and sliding soil mass above it are entirely submerged (see Figure 1(a) ). From force equilibrium at the downhill direction parallel to the sliding plane we have
where W (¼ ªHb) is the weight of the soil column of width b, a s is the acceleration of the soil column parallel to the sliding surface, k (¼ a(t )/g) is the earthquake acceleration coefficient and ª is the total unit weight of the soil column. R is the resistant force on the sliding surface, which is defined as
where ô r (s) is the shear displacement variant shear resistance, and s is the shear displacement on the sliding surface. The displacementdependent dynamic yield acceleration coefficient, k y (s), corresponds to a factor of safety of 1 (i.e. a s ¼ 0), and is a function of the geometry and shear resistance of the sliding surface material at a specific shear displacement s. k y (s) is obtained through the following equations.
For downhill movement
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For uphill movement
The acceleration of the sliding mass on the sliding surface,
where AE is the slope angle of the sliding surface. The values of k y (s) and a(s, t ) are continuously updated, based on the calculated shear displacement during the earthquake. In this model, the sliding mass starts to accelerate from the first cycle of shearing when the applied driving shear stress exceeds the shear resistance for the first time. The moving velocity increases for as long as the driving shear stress is greater than the shear resistance, and reaches its maximum at the moment when the driving shear stress drops to or below the available shear resistance. The input parameters of this sliding-block model are the earthquake acceleration time history a(t ), the sliding plane angle AE, the unit weight of soil ª, height of the soil column H and the soil shear resistance ô r : These are described further in the following paragraphs.
Input parameters
The selection and application of input motions can have a significant effect on the results of sliding-block analysis (HynesGriffin and Franklin, 1984; Marcuson, 1981; Seed, 1979) . Here, Figures (Scott, 1973) is scaled according to Figure 3 (assuming a 20% damping) in order to obtain the acceleration at the crest of the dam (a crest ). The fundamental period of the dam is calculated using the following equation, assuming a one-dimensional simple shear deformation of the embankment (Ambraseys and Sarma, 1967) 
where V S is the shear wave velocity of the embankment dam material; for the hydraulic fill it is taken as 128 m/s (Wu, 2001) , and hence T 0 ¼ 0 . 9 s. The value of a average within the entire sliding mass is then calculated using Figure 4 . Figure 5 shows the resulting a average used in this study, obtained by scaling the original time history at the Pacoima dam abutment by a factor of 0 . 53 (¼ 0 . 34 3 1 . 57). The vertical component of the earthquake ground motion acting downwards would increase both N and R at the base of the sliding block in Figure 2 , and acting upwards would decrease them. However, because of the random phasing of the vertical ground motion, it is as likely to decrease as it is to increase k y , and hence the net impact of the vertical ground motion on permanent seismic deformation is negligible (Ling and Leshchinsky, 1997; Yan et al., 1996) . This has been further confirmed both in pseudo-dynamic distinct element numerical analysis (Marcato et al., 2007) and in reduced-scale shaking- Geotechnical Engineering Volume 165 Issue GE3
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Note that since sliding in the Lower San Fernando dam occurred in a medium-dense to dense soil mass (D r ¼ 40-60%, according to Seed et al., 1975b) , the effects of failure mass compliance were probably small (Kramer and Smith, 1997) and as the ratio of the fundamental frequency of the earthquake (2 . 63 Hz) to the natural frequency of the dam (1/T 0 ¼ 1 . 1 Hz) was greater than 1 . 3, the sliding mass thus behaved essentially as a rigid block, and sliding-block analysis would provide a conservative estimate of the sliding displacement (Wartman et al., 2003) .
In order to apply the sliding-block procedure described earlier to the Lower San Fernando dam, the failure mass is modelled as a single soil column (similar to Figure 2 ), which slides from about the mid-height of the sliding surface (point A in Figure 1(a) ). This partly compensates for the effect of not considering the interaction of the sliding soil column with the adjacent soil columns within the failure mass. As the sliding soil column moves, its base slope (AE) and thus the static component of the driving acceleration (the second terms on the right-hand side of Equations 3 and 4) reduces. The height of the soil column H also changes according to the geometry of the sliding mass in the dam in Figure 1 (a). Figure 6 shows the variations of AE and H along the sliding plane used in this study. A saturated unit weight of 19 . 2 kN/m 3 is assumed for the hydraulic fill sliding mass (Seed et al., 1975a) .
The most influential parameter in the sliding-block method is ô r (s). Newmark (1965) assumed a rigid-plastic contact between the sliding block and the sliding surface. This is not reasonable, particularly for strain-softening and liquefiable soils, and some investigators (Baziar, 1991; Singh et al., 2005) have used the liquefied or critical shear strength (Schofield and Wroth, 1968) in pseudo-static slope stability and permanent displacement analyses to account for the reduced post-liquefaction shear strength. To model liquefaction behaviour, the data on undrained shear resistance against shear displacement from constant-volume monotonic ring shear tests on Ottawa sand and Mississippi River sand are employed to define a y and estimate the earthquakeinduced permanent displacements. The University of Illinois ring shear apparatus (Sadrekarimi and Olson, 2009 ) was used to achieve very large shear displacements (. 20 m). Ottawa sand is a synthesised silty sand produced by mixing about 60% by weight of Ottawa 20/40 sand (which is a medium-grained uniform sand with round particles and no fines) with about 40% fines (D , 0 . 075 mm) obtained by sieving Ottawa F110 sand (which is a fine-grained sand with subangular to subrounded particles and 9% fines content). Ottawa sand has a soil particle specific gravity (G S ) of 2 . 64 (defined by the ASTM, 2004, method), and minimum (e min ) and maximum (e max ) void ratios of 0 . 391 and 0 . 679 respectively (defined by the method of Yamamuro and Lade, 1997) . Both Ottawa 20/40 and Ottawa F110 sands are commercially available pure quartz sands from Ottawa, Illinois. Mississippi River sand is a natural silty fine sand (about 40% fines content) with subangular to subround particles, with G S ¼ 2 . 65, e min ¼ 0 . 563, e max ¼ 1 . 038, and containing about 70% albite, 21% quartz and 5% calcite; it was sampled near Cape Girardeau, Missouri. The Mississippi River and Ottawa sands have similar average particle size distributions (see Figure 7 ).
All the specimens were prepared to their 'loosest possible' structure by air pluviation. In this method, dry sand is poured into a funnel with its tip resting on the bottom of the specimen mould. Then the funnel is gently raised to deposit the particles with nearly zero drop height. The soil specimen is consolidated to the target consolidation normal stress (ó 9 nc ) and relative density (D rc ), and then sheared at a rate of 3 . 1 3 10 À3 m/s in a constant-volume condition. Sadrekarimi and Olson (2009) provide further details of the ring shear device, specimen preparation and testing method. Figure 8 shows the stress paths and plots of shear stress against shear displacement from the ring shear experiments. Specimens sheared in the ring shear device formed distinct shear bands at about 0 . 53 cm of shear displacement, and the shear band thickness ranged from about 8 to 10 times the median particle (Sadrekarimi and Olson, 2010a) . As the thickness of the shearing zone changes during shear, shear strain calculations would be potentially misleading. As a result, shear displacement is reported in Figure 8 (b) rather than shear strain.
According to Figure 8 , the air-pluviated specimen of Ottawa sand contracted slightly prior to dilating during shear, despite being prepared to the loosest possible density. In contrast, the airpluviated specimen of Mississippi River sand contracted throughout shear, despite having a larger initial relative density (¼ 87%). Similar to the Mississippi River sand, the sandy soil from the Lower San Fernando dam was also contractive at large densities (Liang, 1995) . This contrasting behaviour could be a result of the different shear moduli of the constituent minerals of each sand, since all the other characteristics of the two specimens (particle size distribution, fines content, particle shape, consolidation relative density and normal stress) were similar. The chief constituent of Mississippi River sand, albite (NaAlSi 3 O 8 ), has a shear modulus of 28 . 6 GPa, whereas the only constituent of Ottawa sand, quartz (SiO 2 ), has a shear modulus of 44 . 3 GPa (Ahrens, 1995) , which is more than 50% larger than that of albite. Therefore, after the initial structure of the soil specimen collapses and the particles rearrange, the albite-rich Mississippi River sand exhibits more compressible behaviour than the quartz Ottawa sand, as observed in Figure 8 . In addition, the initial contact area between particles is very small, and thus the contact stresses easily reach the crushing stress of the particle mineral. This would cause significant plastic strain at particle contacts through abrasion and/or flattening of asperities as a process of plastic deformation rather than significant particle damage, which contributed to the overall volumetric compression of the Mississippi River sand samples. This kind of contact behaviour, and the resulting particle crushing and plastic compression, would certainly occur in most engineering applications (Cavarretta et al., 2010) .
At the very large shear displacements achieved in the ring shear experiments, the particles of Ottawa sand started to become damaged and crushed in the shear band. Particle damage and crushing suppressed the shearing dilation of the Ottawa sand, resulting in a net contractive response and a second phase transformation (from dilative to contractive response). By contrast, no significant particle crushing occurred in the shear band of the air-pluviated Mississippi River sand specimen (Sadrekarimi and Olson, 2010b) .
Sliding-block analyses
In the sliding-block analyses, ô r (s), is obtained from the ring shear experiments (Figure 8(b) ), and k y (s) is calculated using Equations 3 and 4. Advanced sliding-block analyses with a degrading yield acceleration have also been used by some other investigators (e.g. Matasovic et al., 1998; Wartman et al., 2005) . The main assumptions made here are as follows. Effect of soil particle mineralogy on embankment dams Sadrekarimi Symes et al., 1984; Trandafir and Sassa, 2005) . In fact, Yamamuro and Covert (2001) showed that the stress condition required to initiate failure under cyclic loading corresponded to the peak (yield) strength established from monotonic undrained triaxial compression tests. Nakajima et al. (2009) found very similar shear stress-strain relations from monotonic torsion shear tests and peak shear stress values from cyclic torsion shear tests on Toyoura sand specimens. This further indicates that the sliding displacement due to seismic slope movement can be estimated by considering the soil behaviour from monotonic shear tests. (b) Soil behaviour is obtained from laboratory element tests, and thus liquefaction and true soil non-linear behaviour are modelled, rather than a rigid-perfectly plastic soil model. (c) In contrast to the original Newmark (1965) method, uphill movement is also allowed. (d ) Both uphill and downhill movements of the sliding mass cause irreversible plastic strains, and add to the total shear displacement used to select ô r (s) from the ring shear data (Figure 8(b) ). This is plausible, as particle rotation (rather than frictional sliding) is the main contributor to the evolution of sand structure towards critical state (Yang and Dai, 2010) . (e) Loading rate has a negligible effect on ô r (s), and thus on k y (s) (Bathurst et al., 2002; Sadrekarimi, 2009; Whitman and Healy, 1963) . ( f ) Shear bands form in both loose and dense sands (Sadrekarimi and Olson, 2010a) , and permanent displacement takes place on a localised failure surface (Goodman and Seed, 1966) . Strain localisation in slopes has been observed in many model tests (e.g. Kutter and James, 1989; Wartman et al., 2005) and during post-earthquake field investigations of slope instability (e.g. Keefer et al., 1998; Stewart et al., 2001) . Formation of a well-defined failure plane is also confirmed by the post-failure geometry of the Lower San Fernando dam. (g) Changes in the geometry of the sliding soil mass are modelled by incorporating variable soil column height and slope angle according to Figure 6 . (h) Sliding-block analysis is decoupled from ground response analysis (Figures 3 and 4) of the dam. This approximation is valid for most earth structures, and generally provides a conservative estimate of the seismic-induced permanent displacements (Ambraseys and Sarma, 1967; Makdisi and Seed, 1978; Bray, 1999, 2000; Seed and Martin, 1966) . (i) Earthquake vertical acceleration is not taken into account.
A stepwise numerical double integration (trapezoidal method) of Equation 5 with a time step (˜t ) of 0 . 01 s is used to calculate permanent displacement, using Microsoft Excel spreadsheet software. The earthquake record is considered as a piecewise linear acceleration, the interval from the initial time of zero to the final time is subdivided, and the areas of trapezoids are added to calculate the area under the acceleration time history of the sliding mass. The resulting velocity curve is integrated again using the same procedure to obtain permanent slope displacement. The time step for computation of the area under the acceleration curve is taken as the time interval between the given data points of the acceleration record (i.e. 0 . 01 s). After setting the variables to their initial values, the main computation begins by incrementing the time by˜t ¼ 0 . 01 s and defining k y (s) for both uphill and downhill directions using the ring shear test results. Next, any downhill movement is checked . If a s (s, t ) or the initial velocity for this interval is greater than zero, then there is downhill movement, and the spreadsheet computes the values of velocity and displacement. If there is no downhill movement, then a check is made for uphill movement. Negative accelerations, velocities and displacements are uphill. If a s (s, t ) or the initial velocity for this time interval is less than zero, then there is an uphill movement, and again the spreadsheet computes velocity and displacement. The overall displacement would be overestimated if displacements in the uphill direction were not taken into account. At the end of this loop, the time is incremented by˜t ¼ 0 . 01 s and the main loop is entered again. The cumulative displacement from both uphill and downhill directions is calculated, and Figures 9 and 10 show the results of these analyses. 
Discussion
According to Figure 9 , no significant shear displacement occurred in the model composed of Ottawa sand, because of its dense structure and dilating shear behaviour. On the other hand, because of the contractive shear behaviour of Mississippi River sand, large shear displacement (corresponding to about 63 m of horizontal displacement) occurred on the shear surface of the model composed of Mississippi River sand (Figure 10 ). This amount of displacement is very close to the actual 61 m movement of the dam following the 1971 San Fernando earthquake (Seed et al., 1975b) . Figure 10(a) shows that the sliding velocity increases for as long as the driving acceleration is greater than the yield acceleration, and reaches its maximum at the moment when the driving acceleration drops below the yield acceleration; subsequent unloading causes deceleration associated with reduction of sliding velocity. Given the very rapid movement of the sliding mass (more than 6 m/s), the assumption of undrained conditions and a total stress analysis is reasonable. In fact, the calculated velocity of 6 m/s is similar to the maximum moving velocity (6-7 m/s) of the Tsukidate landside, which took place in a fully saturated silty sand, and was triggered by the 2003 Minami earthquake in Japan (Konagai et al., 2003) . As indicated in Figure  10 (b), permanent displacement increases in the same direction as the driving acceleration until the driving acceleration drops below the yield acceleration long enough for the sliding velocity of the failure mass to reduce to zero. During the earthquake ground motion, inertial forces induce momentary instability of the sliding mass, causing it to slide downhill, and when the direction of the ground motion is reversed, the motion of the sliding mass is reduced or reversed. The progressive displacement of the sliding mass causes an overall flattening and settlement of the sliding mass, which is modelled using the data in Figure 6 . Also, note that no significant displacement would have developed in the model made with Mississippi River sand if the duration of the earthquake had been less than 5 s, indicating that earthquake duration is a significant factor, which must be considered as well as the applied seismic stress in determining whether failure will occur.
Practical implications
Although no information is available regarding the soil mineralogy and composition of the Lower San Fernando dam slide, the analyses presented in this study imply that the liquefaction flow failure of the dam could have occurred because of its compressible soil mineralogical composition, combined with a dense soil structure. Without taking this mechanism into account, and the ensuing liquefaction potential, conventional pseudo-static slope stability analysis would not be suitable to assess the seismic risk properly, and as a result the 1966 seismic design and evaluation procedure of the dam before the 1971 earthquake considered it to be adequately resistant to earthquake effects (Seed et al., 1975b) . Similarly, the failure soil mass in most field cases of liquefaction flow failures (e.g. the north dyke of Wachusett dam, USA; Vlietepolder, Netherlands; Helsinki Harbour, Finland; Lake Merced Bank, USA (Olson, 2001) ; Sheffield dam, USA (Seed et al., 1969) ; Hokkaido dam, Japan (Ishihara et al., 1990) ; La Palma dam, Chile (De Alba et al., 1988) ) has been characterised merely by its particle size distribution, with most of the soils that liquefied consisting of sandy silts or silty sands. Little or no information is available regarding mineralogical composition, and only a few flow failure field case histories have some of these details available. For example, the Fraser River Delta slides (Chillarige et al., 1997; Christian et al., 1997; McKenna et al., 1992) and the La Marquesa dam slide (De Alba et al., 1988) involved sandy soils with mixed mineralogy, including non-quartz fines such as calcareous and feldspar minerals, and even clayey fines (Jefferies and Been, 2006) . After the failure of the Calaveras dam, Hazen (1918) reported that the upper parts of the dam that failed consisted primarily of non-siliceous materials cemented with calcium carbonate and calcium sulfate. Similarly, several flow liquefaction failures that occurred on the banks of the Jamuna Bridge, Bangladesh, involved micaceous fine sands with fines content of 2-10% and a mica content of 30% (Yoshimine et al., 1999) . Ishihara (2008) showed that the Jamuna River sand exhibits contractive behaviour at relative densities as large as 65%, and the mica in these sands created conditions that were highly vulnerable to triggering flow failure. As another example, the hydraulically placed Nerlerk berm in Canada experienced Effect of soil particle mineralogy on embankment dams Sadrekarimi numerous flow failures, starting during construction in 1983. The soil used for the berm consisted of a silty sand with some clay content. X-ray diffraction showed that the Nerlerk berm soil was 84% quartz and 13% feldspar plagioclase (Jefferies and Been, 2006) . These cases suggest that the presence of more compressible minerals would increase the compressibility of sandy soils and result in net contractive behaviour. Therefore, although the initial structure of the soil was medium dense to dense in some of these cases (the average relative density in hydraulic fills can be up to 60% (Sladen and Hewitt, 1989) ; the hydraulic fill in the Lower San Fernando dam had a relative density of about 60% (Seed et al., 1975b) ), particle compressibility developed sufficient contractive behaviour and positive pore water pressure to cause the failures. Alternatively, sand contractive behaviour and particle compression could be developed by particle abrasion associated with particle rearrangement and the plastic deformation of particle asperities, without significantly affecting particle shapes or the particle size distribution of the sand assembly. In particular, existing dams have foundations and embankments consisting of a variety of particle sizes and shapes (in contrast to the uniform gradations of the sands used in this study), and additional study is required to evaluate the role of particle compressibility with respect to their mineralogy, and to the overall behaviour of a dam. Finally, the results presented in Figure 10 illustrate the importance of considering the complete stress-strain behaviour of the embankment soil (obtained from ring shear tests in this study) and thus progressive softening. The use of peak strengths (at lower strains) or critical state strengths (at large strains) without consideration of progressive softening would underestimate or overestimate the true displacement of the embankment.
Conclusion
This study illustrates the significance of particle-level compressibility as a result of particle mineralogy, particle abrasion and/or flattening of particle asperities in the stress-strain behaviour of sands and, in particular, in the seismic performance of the Lower San Fernando dam. In constant-volume ring shear tests, an airpluviated sand specimen consisting chiefly of quartz particles exhibited dilative response at intermediate shear displacements (, 1 cm), whereas an air-pluviated sand consisting chiefly of more compressible albite particles exhibited contractive behaviour throughout shear up to 3000 cm of shear displacement, despite having a greater initial relative density, and similar consolidation stresses and particle size distributions. Slidingblock permanent displacement analyses indicated that a model of the Lower San Fernando dam made of more compressible sand minerals would undergo failure and displace in a very similar manner to the actual displacement of the dam following the 1971 San Fernando earthquake. Similarly, where information is available, it appears unusual for field liquefaction flow failures to occur in quartz (low compressibility) sands. Most of these liquefaction flow failures have occurred where the sands had a mixed particle composition, and contained non-quartz fines (e.g. calcareous and feldspar minerals), and even some fraction of clayey particles. All these factors can significantly increase the compressibility of the sand mass. As a result, similar to the Lower San Fernando dam, which had an average relative density of about 60%, some in situ soil deposits, although not being loose, may exhibit contractive behaviour and experience flow failure and large displacements as a result of their particle mineralogy and possible particle crushing during shear. Laboratory shear tests, analytical results, and the field performance of the Lower San Fernando dam during the February 1971 San Fernando earthquake show that hydraulic fill dams are not inherently unstable structures, and the seismic performance of embankment dams is determined not only by the relative density of the constituent materials but also by the constituent soil composition, and the nature, intensity and duration of the earthquake shaking. The alternative mechanisms described here would have the same consequences (large pore water pressure, liquefaction, loss of strength) as those in loose sands but would also occur in dense sandy soils through particle deformation and crushing rather than soil structural collapse and softening. These particle-level mechanisms, and the specific example in the Lower San Fernando dam described in this paper, show the importance of these phenomena in the overall sand response although these mechanisms have received little attention in geotechnical engineering.
